
1 INTRODUCTION  

Current standards for earthquake-resistant design of 
buildings prescribe that buildings should be de-
signed to withstand a design seismic action, which is 
defined for an earthquake recurrence interval associ-
ated with a limit state of interest, such as damage 
limitation or near-collapse limit state. Usually design 
procedures involve an elastic analysis method and 
de-sign acceleration spectrum, which implicitly 
takes into account the ability of inelastic energy ab-
sorption of the structural system. Thus, seismic risk 
of newly designed structures is only implicitly con-
trolled through the q-factor (R-factor) concept and 
capacity design procedure. Therefore current stand-
ards for earthquake-resistant design of buildings do 
not control seismic risk to such an extent that would 
be acceptable for all types of structures and for all 
stakeholders. This issue can be solved by adequate 
estimation of seismic risk in the design process of a 
building, which would probably be the best ap-
proach for mitigation of earthquake losses in the fu-
ture. 

Several reliability-based frameworks for design 
of structures were proposed. Wen (2001) concluded 
that there are capabilities which allow development 
of risk-based, comprehensive, and yet practical de-
sign procedures familiar to engineers. Liu, Wen and 
Burns (2004) and Rojas, Pezeshk and Foley (2011) 
used genetic algorithms to determine an optimal 
structural configuration. Further, Fragiadakis and 

Papadrakakis (2008) proposed a fully automated de-
sign methodology for the optimum seismic design of 
reinforced concrete structures. 

In the simplest approach, seismic risk can be de-
scribed by means of the mean annual frequency of 
exceedance of a selected limit state, such as collapse 
of a building. This information incorporates effects 
of all possible earthquakes that could affect the 
structure at a given location. By comparing the esti-
mated seismic risk with an acceptable or tolerated 
risk, as defined in the paper, it can eventually be de-
cided whether the newly designed structure met all 
safety requirements or not. 

In this paper a procedure for risk-based design 
(Lazar & Dolšek 2012) is summarized with an em-
phasis on the effect of integration limits on the col-
lapse risk assessment of buildings and demonstrated 
by means of a 15-storey building. The risk-based de-
sign procedure is iterative and involves an envelope-
based pushover analysis procedure (Brozovič & 
Dolšek 2013a), which enables consideration of dif-
ferent failure modes caused by ground motions, and 
risk assessment in terms of mean annual frequency 
of collapse based on a new closed-form formula, 
which takes into account appropriate integration lim-
its as recently proposed by the authors of this paper. 
The integration limits are defined by assuming that 
the collapse can be exceeded only if the ground-
motion intensity is greater than the minimum col-
lapse intensity and that the ground-motion intensity 
cannot exceed the upper-bound ground-motion in-
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tensity, which can be estimated using results of the 
hazard analysis. Consideration of integration limits 
for collapse risk assessment provides less conserva-
tive estimates of probability of collapse as that ob-
tained by assuming integration of the risk equation 
on the interval [0,∞) (Cornell 1996).    

2 BRIEF OVERVIEW OF THE RISK-BASED 
DESIGN PROCEDURE 

In general, the risk-based design procedure involves 
initial design, determination of the nonlinear struc-
tural model, definition of acceptable risk, an iterative 
risk assessment procedure based on envelope-based 
pushover analysis, guidelines for structural adjust-
ments in order to achieve an optimal increase of duc-
tility and strength in the current iteration, as well as 
probabilistic seismic hazard analysis, selection of 
ground motions, checks of final design based on 
nonlinear response history analysis performed for 
few ground motions and design of components, 
which are not simulated by the nonlinear model 
(Dolšek 2013). The flowchart of the first part of the 
design procedure is presented in Figure 1. For sim-
plicity reasons only these steps of the risk-based de-
sign procedure were applied herein in order to de-
sign a 15-storey reinforced concrete building.  

An initial structural configuration can be deter-
mined by using standards for earthquake-resistant 
design of buildings or by engineering judgment. For 
example, a simple initial structural configuration can 
be determined based on design of reinforcement for 
vertical loads with consideration of the maximum 
and minimum requirements for dimensions of struc-
tural elements and amount of reinforcement. In the 
following step seismic risk is estimated for the initial 
structural configuration and compared to the prede-
fined acceptable risk, which is discussed later in the 
paper (Section 4.3). If the estimated risk exceeds the 
acceptable risk, the current structural configuration 
is adjusted in order to achieve reduction of seismic 
risk. Once the improved structural configuration is 
obtained, the seismic risk is re-evaluated. The de-
scribed iterative procedure is repeated until the esti-
mated seismic risk is lower than the acceptable risk. 
In the simplest case, the adjustments of the structure 
can be based on a trial and error procedure. Howev-
er, it is foreseen that guidelines for efficient structur-
al adjustment will be developed within the project 
supported by the Slovenian Research Agency 
(Dolšek 2013).  

The main advantages of the proposed design pro-
cedure in comparison to that prescribed in Eurocode 
8 are explicit simulation of structural damage due to 
earthquakes and explicit estimation of seismic risk. 
It should be noted that the proposed process does not 
involve definition of the design earthquake, but it 

requires detailed information regarding seismic haz-
ard including deaggregation of seismic hazard. 

 

 
Figure 1. Flowchart of the proposed risk-based design proce-
dure according to (Lazar & Dolšek 2012). 

3 COLLAPSE RISK ASSESSMENT WITH 
CONSIDERATION OF APPROPRIATE 
INTEGRATION LIMITS 

The assessment of collapse risk is often expressed in 
terms of the mean annual frequency (MAF) of col-
lapse, which can be determined as follows (Cornell 
1996, McGuire 2004)  
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where P(C|IM = im) is the fragility or probability of 
collapse given the intensity measure im and H(im) is 
the hazard, i.e. the mean annual frequency that the 
ground motion intensity exceeds im. If the hazard is 
assumed to be linear in log-log coordinates (H = 
k0∙im

-k
) and if the fragility is expressed by means of 

the standard normal probability integral Φ[(lnim - 
lnimC,50)/βC], then the approximate solution of Equa-
tion (1) can be achieved in closed-form (Cornell  
1996, McGuire 2004): 

 
2 21

2
,50

Ck

C CP H im e


   (2)  

where imC,50 is the median value of the IM -based 
capacity (i.e. the median ground-motion intensity 
which causes collapse of the building), βC is its loga-
rithmic standard deviation and k is the slope of the 
hazard curve. Note that C is replaced by PC, which 
is the probability of collapse, since mean annual fre-
quency of collapse is small (C). 

The MAF of collapse based on Equation (2) is a 
result of integrating the risk equation (Eq. (1)) in the 
range from 0 to ∞. However, this is not physically-
consistent since all structures designed according to 
standards have a quite large collapse capacity. 
Therefore, a lower limit of collapse capacity (im1) 
exists, since there is no ground motion which would 
cause collapse of a structure and have intensity low-
er than im1. The upper integration limit im2 also ex-
ists, since ground motions are constrained with sev-



eral physical phenomena (Bommer et al. 2004). Due 
to these facts the MAF of collapse based on Equa-
tions (1) and (2) can become quite conservative. Au-
thors of this paper recently derived the closed-form 
solution of Equation (1) if it is integrated in the in-
terval [im1, im2]. If a lower-bound truncated lognor-
mal distribution is assumed for the fragility function 
P(C|IM = im), Equation (1) can be expressed as fol-
lows: 
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where erf[x] is the error function and is determined 
as follows: 

    

x

x
0

2 dexp
2

erf 


  (4) 

In the basic loop of the risk-based design proce-
dure the fragility parameters imC,50 and βC are as-
sessed by envelope-based pushover analysis (EPA) 
procedure (Brozovič & Dolšek 2013a). The EPA 
procedure utilizes several pushover analyses, which 
are performed for invariant horizontal force distribu-
tions corresponding to the first three vibration 
modes, and the inelastic response history analysis of 
a modal-based and so-called failure based SDOF 
models. 

The failure-based SDOF models are based on the 
displacement vectors corresponding to the system 
failure modes of the ‘second-mode’ and ‘third-
mode’ pushover curves. This is the only difference 
in definition of the failure-based SDOF models and 
the modal-based SDOF models. This makes the fail-
ure based SDOF models capable of predicting the 
global response of the structure with sufficient accu-
racy for the case when the ‘first-mode’ SDOF model 
provides inaccurate estimates. However, total de-
mand is obtained by enveloping results associated 
with the three system failure modes. The approach 
for the determination of total demand is similar to 
that proposed by Socuoglu & Günay (2011). There-
fore appropriate combination rules as in the case of 
the modal pushover analysis procedure (Chopra & 
Goel 2002) or correction factors introduced in the 
extended N2 method (Kreslin & Fajfar 2011) are not 
needed.  

Note that Brozovič and Dolšek (2013b) have 
shown that collapse capacity based on the EPA pro-
cedure is assessed with useful degree of accuracy 
even in the case of taller buildings. More details re-
garding the EPA procedures are available elsewhere 
(Brozovič & Dolšek 2013a, 2013b).  

3.1 Lower limit of collapse capacity  

The value of the lower limit of collapse capacity de-
pends on the structure and ground motions. In gen-
eral it can be assessed by nonlinear response history 
analysis applied to the structural model of the entire 
building. This is not convenient since risk-based de-
sign is an iterative process. Therefore in this study 
the lower limit collapse capacity is obtained by EPA 
procedure, which is not computationally demanding.     

In order to study when the incorporation of the 
lower limit collapse capacity for assessment of col-
lapse risk becomes important, Equation (1) was in-
tegrated in the interval [im1, ∞). The following result 
was obtained: 
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The impact of the lower limit collapse capacity is 
estimated with the ratio between the probability of 
collapse obtained according to Equations (5) and (2) 
as presented in Figure 2. This ratio is presented as a 
function of βC for different values of the hazard pa-
rameter k and ratios im1/imC,50. It is obvious that the 
impact of the lower limit collapse capacity increases 
with increasing parameters k, βC and im1. From 
Equation (5) the threshold value of im1 was ob-
tained: 

 2

50,,1 2exp CCCT kimim                           (6) 

The threshold value im1,T can be compared to im1, 
which is obtained for a set of ground motions. If im1 
is higher than im1,T, then the impact of lower limit 
collapse intensity on the collapse risk may not be 
negligible. 

 

 

Figure 2. The ratio of PC,im1/PC as a function of βC presented for 
selected values of k and ratios im1/imC,50. 



3.2 Upper limit of ground-motion intensity 

Estimation of the upper integration limit of risk is in 
fact an issue of engineering seismology, which 
should be debated in the future. A need for predic-
tion of the upper bound of a ground-motion parame-
ter has been discussed among others by Strasser et 
al. (2004), but in a different context as that exposed 
herein. They have shown that the upper limit 
ground-motion intensity constantly increases with 
the extension of the period of ground motion record-
ings. Although a large number of strong ground mo-
tions is available today, it is probable that the 
strongest possible earthquakes have not yet been 
recorded, making the present estimates of maximum 
magnitudes and intensities inaccurate. Another issue 
is the level of truncation of intensity. For example, it 
has been previously shown for a region with moder-
ate seismicity (Šket Motnikar & Lapajne 2004) that 
the intensities corresponding to a 10.000-year return 
period are not affected if the ground motion predic-
tion model takes into account a truncation level 
equal or more than 3 standard deviations above the 
median value. However, the estimation of the upper 
limit ground motion should be consistent with the 
seismicity model and the ground-motion prediction 
model used in the hazard analysis.  

In order to estimate the potential impact of the 
upper limit ground-motion intensity on the collapse 
risk, the risk equation (Eq. (1)) was integrated in the 
region [0, im2]. The following result was obtained:  
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Similarly as in the previous section, the impact of 
the upper bound ground-motion intensity is estimat-
ed with the ratio between the probability of collapse 
obtained according to Equations (7) and (2) (Fig. 3). 
In this case the opposite trend is observed in com-
parison to that discussed in the previous section. The 
impact of the upper limit ground-motion intensity 
reduces with increasing parameters k, βC and im2.  

Similarly as for im1 the threshold value of im2 
was obtained from Equation (7): 

 2

50,,2 2exp LSLSLST kimim  
                           (8) 

Based on Equation (8) it can be concluded that the 
estimated upper bound ground-motion intensity for a 
region of interest has significant impact on the col-
lapse risk if it is less than the threshold value im2,T. 
In order to demonstrate the impact of im2 on the de-
sign of the 15-storey building, the im2 is assessed 
later in the paper (Section 4.4) with consideration of 
four ground motion prediction models and a trunca-
tion level of 2 and 2.5 standard deviations above the 
median. 

 
Figure 3. The ratio of PC,im2/PC as a function of βC presented for 
selected values of k and ratios im2/imC,50. 

4 EXAMPLE 

The proposed design procedure was used in order to 
design a 15-storey reinforced concrete building. It 
was assumed that the building is located in Ljublja-
na, Slovenia, i.e. in a moderate seismic region on 
soil type B. For illustration, the peak ground accel-
eration for a 475-year return period amounted to 
0.30 g. Note that the initial structural configuration 
was based on Eurocode’s provisions for mini-
mum/maximum reinforcement ratio of the primary 
beams and columns corresponding to the ductility 
class medium. Additionally, the beams were rapidly 
designed for gravity loads only and the strong-
column weak-beam concept was checked using the 
input results of the nonlinear structural model. For 
comparison reasons, the MAF of collapse was de-
termined according to Equations (2) and (3), where-
as the median peak ground acceleration at collapse 
ag,C,50  and the corresponding standard deviation βC 
was obtained by fitting a lognormal distribution to 
the sample of the ag,C (i.e. collapse capacity) deter-
mined based on the EPA procedure. 

4.1 Description of the initial structure and 
structural model 

The fifteen-storey frame building is a residential 
building (Fig. 4). The height of the first storey is 4 
m, whereas the height of other storeys is 3 m. The 
slab thickness is 22 cm. Concrete C30/37 and rein-
forcing steel S500, class B, were adopted. All col-
umns and beams of the initial structural con-
figuration had the same dimensions and amount of 
reinforcement. The longitudinal reinforcement in all 
columns amounted to 1% of the cross-section area. 
Stirrups were based on the criteria of the minimum 
concrete confinement. The total mass of the building 



was 10643 t and the fundamental period amounted 
to 2.2 s. 

A simplified nonlinear structural model was used, 
which fulfills requirements for the modeling of 
structures according to Eurocode 8. Inelastic rota-
tional hinges were used in the beams and columns. 
For the beams, the plastic hinge was used for major 
axis bending only. For the columns, two independent 
plastic hinges for bending about the two principal 
axes were used. A linear negative post-capping stiff-
ness is assumed after the maximum moment is 
achieved. These types of simplified nonlinear mod-
els were generated and analysed by using PBEE 
Toolbox (Dolšek 2010) in conjunction with Open-
Sees (2004). Note that the PBEE toolbox was recent-
ly extended in order to enable seismic performance 
assessment of frame buildings based on the EPA 
procedure (e.g. Brozovič and Dolšek 2013b). 

 

 
Figure 4. Plan, elevation view and reinforcement of beams and 
columns for the initial structural configuration of the fifteen-
storey building. 

4.2 Seismic hazard and ground motion records 

The seismic hazard curve obtained by using EZ-
FRISK (2012) (Baker 2011b) was used in the de-
sign. Note that EZ-FRISK contains a seismicity 
model for the central European region (Europe III), 
which is not consistent with the seismicity models 
used for determination of the seismic hazard maps 
for Slovenia (Lapajne et al. 2003). Based on the haz-
ard curve, the hazard parameter k = 2.9 was obtained 
by fitting a straight line to the hazard curve in log-
log coordinates with the method of least squares. 

 The ground-motion records were selected ac-
cording to the procedure proposed by Jayaram et al. 
(2011). The uniform hazard spectrum prescribed by 
Eurocode 8 was used as a target response spectrum. 
It should be noted that hazard-consistent procedures 
(e.g. Baker 2011a, Bradley 2012) for the selection of 
ground motions were not applied in this study due to 
simplicity reasons and due to the lack of data (de-
tailed hazard deaggregation is not available for the 
region of Slovenia). The ground motions were se-
lected based on the magnitude between 5.5 and 7.5, 

fault distance between 5 and 50 km and shear wave 
velocity in the upper 30 m higher than 180 m/s.  

The target uniform hazard spectrum, median re-
sponse spectrum conditioned to the fundamental pe-
riod of the analyzed structure and the corresponding 
16th and 84th percentiles are presented in Figure 5. 
Note that it was herein assumed that the set of 
ground motions is also appropriate for the case when 
the peak ground acceleration is selected for an inten-
sity measure, since the median spectrum conditioned 
to T = 0 is similar to that conditioned to the funda-
mental vibration period of the building. 

 

 
Figure 5. The target spectrum, spectra for each selected ground 
motion, the median spectrum of the selected ground motions 
and the corresponding 16th and 84th percentiles. 

4.3 Definition of acceptable risk 

In this study we distinguish between the acceptable 
and tolerated risk. Tolerated risk is associated with 
loss of human life, whereas the acceptable risk is as-
sociated with the remaining types of consequences, 
for example, with the collapse of the structure. The 
acceptable risk can be estimated by dividing the tol-
erated risk with the fatality rate, which is the condi-
tional probability of loss of life given the collapse of 
the structure. For ductile reinforced concrete frames, 
which were investigated in this study, the fatality 
rate amounted to 0.15 (Jaiswal & Wald 2010).  

For the purpose of this study the acceptable col-
lapse risk was estimated on the basis of codes and 
guidelines (e.g. CEN 2004, ISO 1998, JCSS 2000) 
or from other models of acceptable/tolerated risk, 
such as the model proposed by Allen and that of 
CIRIA (e.g. Bhattacharya et al. 2001) or by Helm’s 
model of tolerable risk (Helm 1996). More details 
are available elsewhere (e.g. Lazar & Dolšek 2012). 
However, herein it was assumed that the acceptable 
risk was based on Helm’s model. 

Helm (1996) divided risk into four regions; neg-
ligible, ALARP (as low as reasonably possible) re-
gion, possibly unjustifiable and unacceptable risk, as 
shown in Figure 6.  



For the observed residential structure we assumed 
that 80 people will be exposed in the case of an 
event. The acceptable collapse risk was then ob-
tained with consideration of the negligibility line 
(Fig. 6) and amounted to 8.3·10

-6
 on an annual basis 

and 4.1·10
-4

 for a period of 50 years. 
 

 
Figure 6. Helm’s Frequency – Fatality curve according to 
(Helm 1996). 

4.4 Description of the design procedure 

The initial structural configuration was analyzed 
with the EPA procedure. The estimated collapse 
probability amounted to 3.6∙10

-5
 if based on Equa-

tion (2), which exceeded the acceptable collapse risk 
by a factor of 4.4. In order to assess the probability 
of collapse using Equation (3), the maximum inten-
sity ag2 has to be estimated. Due to uncertainties pre-
sented in Section 3.2 it is suggested to use different 
ground-motion prediction (GMP) models for a given 
truncation level (e.g. 2 or 2.5 standard deviations σ 
above the median value) in order to assess ag2. For 
the purpose of this study it was assumed that the 
worst-case scenario is an earthquake with magnitude 
7, which is consistent with the seismic hazard analy-
sis for Slovenia (Lapajne et al. 2003), and the 
source-to-site distance Rjb = 0 km. For comparison 
reasons two truncation levels (2σ and 2.5σ) were 
taken into account. Based on these assumptions, ag2 
was calculated for the GMP models proposed by 
Sabetta and Pugliese (1996), Bindi et al. (2011), Ak-
kar and Bommer (2010) and Peruš and Fajfar (2010) 
(Table 1).  

 
Table 1. The upper peak ground accelerations corresponding to 
four GMP models taking into account 2 and 2.5 standard devia-
tions above the median estimates. _____________________________________ 
GMP model       ag2,2σ  ag2,2.5σ                                         ____________ 
           g   g _____________________________________                       
Sabetta & Pugliese (1996)  2.15  2.63  
Bindi et al. (2011)     2.14  3.16 
Akkar & Bommer (2010)   1.43  1.97 
Peruš & Fajfar (2010)    1.48  2.03 _____________________________________ 

 
Based on Equation (8) it can be quickly estimated 
that the threshold value of the upper integration limit 
is 2.5 g, since k, ag,C,50  and βC of the initial structural 

configuration amounted, respectively, to 2.9, 2.24 g 
and 0.63. Therefore the collapse risk is affected by 
the upper integration limit when assessed by any of 
the four GMP models at a truncation level of 2σ and 
by the GMP models proposed by Akkar and Bom-
mer or Peruš and Fajfar in the case of 2.5σ.  

Similarly, we can evaluate if the lower intensity 
limit will have an impact on PC by using Equation 
(6). For the initial structural configuration ag1,T was 
estimated to 0.20 g which is equal to ag,1 based on 
the EPA procedure. Therefore the lower integration 
limit will not impact PC.  

Note that the PC,im12 (Eq.(3)) of the initial structur-
al configuration varied from 3.1 to 3.5∙10

-5
, which is 

from 5% to 15% less than the PC calculated accord-
ing to Equation (2). However, this reduction of col-
lapse risk is quite negligible taking into account that 
the collapse risk of the initial design exceeded the 
acceptable collapse risk by a factor ranging from 3.7 
to 4.2.  

The initial structural configuration was therefore 
adjusted. Decision regarding the adjustments of the 
structural configurations was based on knowledge 
obtained from a previously performed sensitivity 
study on similar reinforced concrete frame buildings 
(Lazar & Dolšek 2012). Based on this study it was 
decided that for the ‘second’ structural configuration 
the amount of longitudinal reinforcement of the col-
umns in the first eight storeys should be increased 
for 0.2% of the columns cross-section area. Howev-
er, this adjustment was not sufficient. Several addi-
tional iterations were needed (Table 2) in order to 
achieve sufficient strength and ductility of the struc-
ture. 

 
Table 2. Brief description of safety measures for the nine struc-
tural configurations. Note that the percentages refer to the area 
of cross-sections of columns or beams of the initial structural 
configuration. ___________________________________________________ 
Iteration   Adjustments in relation to previous iteration    ___________________________________________________ 
1     Initial configuration   
2     Added 0.2% column’s reinforcement in storeys 1-8  
3     Added 0.2% column’s reinforcement in storeys 1-8 
4     Added 5% beam’s section size in storeys 1-5   
5     Added 0.4% column’s reinforcement in storeys 9-12  
6     Added 10% column’s section size in storey 1    
7     Added 0.2% column’s reinforcement in storeys 1-12  
8     Added 10% column’s section size in storey 1    
9     Added 10% column’s section size in storeys 1-3 and  
                  0.2% column’s reinforcement in storeys 1-3 ___________________________________________________ 

 
Some characteristics of the nine structural con-

figurations are presented in Table 3. It can be ob-
served that the ratio between the total base shear and 
weight Fb/W increased from 5.1% to 6.7%. Similar-
ly, the global ductility at the near collapse limit state 
(80% strength in post-capping range of the pushover 
curve) was also increased for about 20%.  

For illustration, pushover curves and the relation-
ship between the peak ground acceleration and the 



median value of the maximum storey drift ratio 
based on the EPA procedure are presented in Figures 
7 and 8. It can be observed that the strength and de-
formation capacity were increased after each struc-
tural adjustment. However, the larger increment of 
strength, deformation capacity and ag,C,50  was ob-
served for the ‘forth’ structural configuration (see al-
so Table 2). 

 
Table 3. Some characteristics of the nine structural configura-
tions. ___________________________________________________ 
Iteration  T1  m     Fb/W    μ  ag,C,50  βC   ag1                   __________________________________________ 
    s  t   %     g      g ___________________________________________________ 
1    2.20 10643 5.1 10.2  2.24  0.63   0.20 
2    2.20 10647 5.2 10.7  2.33  0.62  0.21 
3    2.20 10652 5.2 11.0  2.47  0.61  0.23 
4    2.32 10696 6.4 10.2  2.75  0.58  0.28 
5    2.32 10700 6.4 10.8  2.74  0.57  0.28 
6    2.30 10711 6.4 11.1  2.72  0.56  0.29 
7    2.30 10718 6.4 11.6  2.82  0.54  0.30 
8    2.28 10730 6.5 11.8  2.79  0.53  0.31 
9    2.25 10763 6.7 12.1  2.88  0.53  0.33 ___________________________________________________ 

 

 
Figure 7. Pushover curves for all structural configurations of 
the 15-storey building. 

 

 
Figure 8. The relationship between the peak ground accelera-
tion and the median value of the maximum storey drift ratio for 
all structural configurations of the 15-storey building. 

 
For comparison reasons, the collapse risk based 

on Equations (2) and (3) is presented for all itera-
tions within the design process taking into account 
the minimum and maximum value of the estimated 
upper integration limits, which correspond to trunca-
tion levels of 2σ and 2.5σ above the median. Results 
of this assessment are presented in Table 4. 

Based on results presented in Table 4 it can be 
concluded that the collapse risk of the ‘ninth’ struc-
tural configuration is lower than the acceptable col-
lapse risk according to Helm’s model, even in the 

case if the effect of the upper integration limit on 
collapse risk was neglected. However, if the collapse 
risk was estimated by Equation (3) then it can be 
concluded that the final structure is overdesigned in 
most cases. Note that the effect of the upper integra-
tion limit on collapse risk did not affect the final de-
sign only for the case when ag2 was determined ac-
cording to the GMP model proposed by Bindi et al. 
(2011) at a truncation level of 2.5σ above the median 
value (see bold numbers in Table 4). On the opposite 
side, the ‘fifth’ structural configuration was found 
sufficiently safe against collapse if the collapse risk 
was assessed by taking into account the upper inte-
gration limit determined with consideration of 2σ 
above the median peak ground acceleration accord-
ing to the GMP model proposed by Akkar and 
Bommer (2010) (or Peruš and Fajfar (2010)). In this 
case the collapse risk of the final design was reduced 
by 42% of that based on Equation (2).  

Note that the acceptable collapse risk was 
achieved by the seventh iteration for both other cas-
es (i.e. max ag,2,2σ and min ag,2,2.5σ),which still quite 
significantly affected the final design. 

 
Table 4. Collapse risk according to Equations (2) and (3) for 
each structural configuration within the design process at dif-
ferent values of the upper intensity limit. ___________________________________________________ 
Iter. PC·10

-5
        PC,im12·10

-5
                              _____________________________________ 

      min ag2,2σ max ag2,2σ min ag2,2.5σ max ag2,2.5σ ___________________________________________________ 
1  3.64   3.08   3.42   3.37   3.52 
2  2.85   2.35   2.67   2.62   2.77 
3  2.11   1.67   1.95   1.91   2.05 
4  1.21   0.85   1.07   1.03   1.16 
5  1.17   0.81   1.03   1.00   1.13 
6  1.17   0.80   1.03   0.99   1.13 
7  0.93   0.58   0.80   0.76   0.89 
8  0.92   0.56   0.78   0.75   0.88 
9  0.80   0.46   0.66   0.63   0.76 ___________________________________________________ 

5 CONCLUSIONS 

The iterative design procedure was used in order to 
design a 15-storey reinforced concrete frame build-
ing for collapse safety. The basic pushover-based 
method originally used to assess structural response 
was herein replaced by the EPA procedure, which 
enables approximate simulation of different system 
failure modes caused by earthquakes. Additionally, 
the collapse risk was estimated by taking into ac-
count appropriate lower and upper integration limits 
of the risk equation. Based on the presented example 
it was shown that such an approach enable less con-
servative risk assessment. 

Although some components of the proposed de-
sign procedure are underdeveloped, the procedure 
has some advantages if compared to those prescribed 
in present-generation procedures for earthquake re-
sistant design of structures. The main advantage of 
the proposed design procedure is an explicit estima-



tion of seismic risk and better insight into the seis-
mic response of different variants of the structure. 
Such information is meaningful and useful for deci-
sion-making regarding the optimal variant of the 
structure. 
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